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1. INTRODUCTION 
While numerous full scale experimental programs have been 
conducted around the world over the past 50 years to 
investigate the behaviour of steel portal frame buildings, none 
have comprehensively investigated the behaviour of such 
buildings under wind uplift. Wind uplift loads often govern 
designs in the Australian environment and this became the 
subject of a recent research project at Queensland University 
of Technology (OUT). This paper describes the full scale 
experiments on a steel portal frame building subject to wind 
uplift, racking and gravity loads. The portal rafter and column 
members utilised hollow flange beam (HFB) sections [5-8] 
though the paper's findings on the theoretical and 
experimental building responses relate to conventional types 
of steel portal frame buildings. 
In the past, full scale testing of the entire building has been 
limited because of the associated complexity and cost. 
However, it is only through such investigations that new and 
optimum building systems, design models and design 
assumptions can be validated, and more importantly the true 
building behaviour can be studied. The last such work was 
carried out by Bates et al. [1] and Bryan [2] in England, but 
their work was limited to portal frames with valley-fixed 
claddings and gravity loading. Recent work (Dowling et al.[9], 
Kirk [12] and Davies et al. [4]) has been mainly conducted to 
investigate the behaviour of modern portal frame systems and 
thus to study the effects of advanced technology and new 
building systems. To date, little research has been conducted 
on full scale steel portal frame buildings clad with crest-fixed 
steel sheeting representing Australian industrial and 
commercial buildings, and for wind uplift load cases. 
In this research project, a 12 m x 12 m HFB portal frame 
building with conventional components such as a crest-fixed 
steel cladding system was tested under both gravity and wind 
loads. Full scale tests enabled the study to gain a significant 
understanding of the true behaviour of typical steel portal 
frame building systems used in Australia. This paper presents 
the details of full scale experiments of the steel portal frame 
building tested and the results that are useful to designers and 
researchers in the field of steel portal frame buildings. 
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2. THE EXPERIMENTAL BUILDING 
Most portal frame building experiments in the past have 
included at least one portal frame, and a portion of roof 
including cladding and secondary members. Interaction 
occurs between the components of a structure and the applied 
loads during full-scale experiments so the behaviour of any 
member is not independent of the behaviour of the remainder 
of the structure. Often two (Dowling et al. [9]) or three (Ivanyi 
[11], Davies et al. [4]) frames have been used in the past to 
allow for interaction effects. Based on previous research, 
three frames were chosen for these experiments on the 
12 m x 12 m test steel portal frame building. 
One of the medium sized portal frame buildings was selected 
from Palmer Tube Mills pre-engineered building range. The 
experimental portal frame was designed in accordance with 
the recommended design procedures of Dempsey and 
Watkins [8]. Two views of the unclad experimental building can 
be seen in Figures 1 (a) and 1 (b). The building had a span of 
12 m with 4.2 m eaves height and 5° pitch and was fabricated 
from 30090HFB33 frames with a 6 m bay spacing. The frame 
section had a 300 mm depth, 90 mm flange width and 3.3 mm 
thickness, and was made of Grade 450 steel. The pre-
engineered end plate connections developed by Dempsey 
and Hogan [7] were used after minor modifications to suit the 
experimental frames (see Figures 1 (c) and (d)). Pins were 
fabricated and installed at the portal frame bases as shown in 
Figure 1 (e) to investigate the behaviour of the building with 
this design assumption. These pins were easily removed, so 
that the effect of conventional (normal) base conditions could 
also be investigated (see Figure 1 (f)). The Z20016 purlins 
were generally placed at 11 00 mm centres on the roof and 
Z20016 girts at 1700 mm on the walls. This gave a total of 
seven purlins on the roof and three girts on the walls. Load 
was applied in the centre of each bay (centre of purlins and 
girts). The Z20016 purlins were oversized since this mid point 
loading results in bending moments of twice the magnitude 
expected from a uniformly distributed load. Two rows of 
conventional bridging were provided in both bays for purlins 
and girts. With the exception of purlin/girt details, the building 
was essentially standard. 
There has been debate in the literature regarding the 
performance of fly bracing (Morris [14, 15]) for conventional 
portal frames. Fly bracing must interact with both the portal 
frame and purlin systems. Fly bracing both sides of the frame 
is better structurally, but fly bracing fixed to one side of the 
frame is slightly more economical. Fly bracing was attached to 
one side of the web on each frame adjacent to the flange for 
these experiments (see Figure 1 (c)). Generally this was done 
at every second purlin (on the rafters), and for the top two girts 
producing lateral restraint to the inside flange at about 2 m 
centres. 
(a) View from south 
(b) View from east 
(c) Knee Connection (d) Ridge Connection 
(e) Pinned base (f) Normal base 
Figure 1. Unclad Experimental Building 
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Figure 2. Fully Clad Experimental Building 
A project objective was the comparison of behaviour of the 
complete structure with that of the bare framing system so the 
structure was not clad initially. A wind truss to resist 
longitudinal wind forces· was not required for the structure 
since no loading was planned in that direction. However, 
cross bracing (24 mm mild steel rod bracing) similar to that 
normally used in a wind truss was placed in the wall of the 
southern bay on each side to stabilise the structure in the 
cross wind (north-south) direction (Figure 1 ). A conventional 
trapezoidal steel sheeting with a base metal thickness of 0.42 
mm was crest-fixed to the purlins and girts in accordance with 
manufacturer's specifications after the bare frame experiments 
were completed. This remained in place throughout the 
remainder of the experimental program (Figure 2). 
3. LOAD SIMULATION FOR THE EXPERIMENTAL 
BUILDING 
Most previous research (eg. Dowling et al. [9]) simulated the 
combination of wind racking and snow load. Wind racking 
loads were simulated by applying horizontal loads at the 
eaves while application of gravity loads to purlins simulated 
snow load. Cable systems have often been used to apply 
loads since force can be transferred easily while maintaining 
stability throughout the load range. Only limited research has 
been conducted on portal frame buildings subject to wind 
uplift loads, and this is often the governing load case for portal 
frame buildings in Australia. Consequently investigation of 
portal frames subject to uplift loads was important to this 
investigation. However, tests with gravity loads and lateral 
racking loads were also conducted. Cable systems were not 
appropriate for such an investigation, so adjustable rigid 
linkages (mostly in compression) were attached to the 
building from the ground slab. 
Computer controlled hydraulic actuators were attached to the 
bottom end of the linkages and were used to generate loads. 
A combination of mechanical and hydraulic load splitting was 
used to distribute loads to the experimental building as 
concentrated loads. A simple beam fixed to the top of the strut 
was used to divide the strut load mechanically (Figure 3{a)). 
The load was first transferred into a loading yoke fabricated 
from rectangular hollow section (RHS). Each end of this yoke 
applied load to the centre of a pair of distribution beams 
fabricated from C1 0020 cold-formed lipped channel sections. 
These were positioned back to back against the RHS to 
provide lateral and rotational stability to the loading system. 
Racking loads were applied to the walls in a similar manner 
(Figure 3(b)). 
Control of load and data acquisition is simplified if the number 
of independent loads applied to the structure is minimised, 
however a greater number of load points produces more 
accurate load simulation. A compromise must be reached 
between these conflicting requirements. The experimental 
building required a total of 16 loading points (8 for each bay) 
and thus four hydraulic actuators to apply loads to the walls 
and twelve actuators to apply loads to the roof. Control would 
have been expensive if all sixteen points had to be independent. 
Detailed consideration of load requirements allowed the 
sixteen points to be sub-divided into five independent groups. 
This allowed for the three different wind pressure zones on 
the roof and the two different zones for the walls under cross 
wind loading. This reduced the complexity of load control to 
five independent control functions. A servo valve generated 
the required oil pressure for each of the five circuits. 
The nature of the experiments meant that dead load was 
already applied to the structure. Various other loads were 
simulated, namely: 
1. Longitudinal wind load (Load case 1); 
2. Live load (Load case 2); 
3. Cross wind load assuming both side walls to be closed 
(Load case 3) 
4. Cross wind load assuming one side wall to be open (Load 
case 4) 
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{a). Uplift or Gravity Loading on Roof (b). Racking of walls 
Figure 3. Arrangement of Loading System 
The experimental loads were based on the theoretical 
permissible design loads (Dempsey and Watkins [8]) using 
the Australian loading codes AS 1170. Parts 1 and 2 [19]. 
Other factors considered when determining the experimental 
loads included: 
1. Load distributions should be similar to those expected in 
practice; 
2. All load cases should produce the same maximum 
theoretical stress in the frame corresponding to the section 
capacity as defined by AS 1538 [18] - the relevant design 
Standard at the time of testing; 
3. Point loads were applied to purlins and girts instead of the 
distributed loads used in design. 
4. THEORETICAL BEHAVIOUR OF EXPERIMEN-
TAL BUILDING 
An understanding of the theoretical response of the test 
building is important for the interpretation of results. The 
experimental building was analysed using both two- and 
three-dimensional idealisations and the results are compared 
in this section. 
4.1 Theoretical behaviour of building using two-
dimensional analysis 
A second order elastic analysis (Microstran) was used to 
investigate the effects of all four design load cases on a two 
dimensional frame model with pinned bases and rigid knee 
and ridge connections (Figure 4). The same section 
properties were used for all portal frame members. Point 
loads applied at purl in and girt locations were used rather than 
the uniformly distributed loads normally used in design. Roof 
loads for load case 2 should act vertically whereas the other 
load cases require a line of action normal to the surface of the 
structure. For the purposes of the experiments, loads for load 
case 2 were applied normal to the roof surface rather than 
vertically to minimise rearrangement of the test rig. The 
theoretical analysis used the same load orientation. 
Table 1 gives the theoretical portal frame bending moments 
for each load case. These maximum theoretical moments are 
close to the section moment capacity of 50.2 kNm for the test 
portal frame members. The test frame was designed using the 
then current permissible stress method in accordance with AS 
1538 [18]. The target maximum moment in the frame was 
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{a) A typical experimental portal frame 
"' 
"' 
1.70 kN 
~ 
{b) Experimental loads for load case 3 
Figure 4. Two-dimensional Analysis of a Typical Experimental Frame {all dimensions in mm) 
therefore equal to the design section moment capacity of the 
section (50.2 kNm). Therefore the maximum permissible 
theoretical in-plane stress (and strain) in the portal frame was 
expected to be 60% of the yield stress (corresponds to 2250 
micro-strain for the grade 450 steel being used) under its 
governing load case. Load case 3 was the governing design 
load case and was expected to produce 60% of the yield 
strain corresponding to the section capacity. Load cases 1 
and 2 were not governing hence these load cases would have 
produced strains less than 60% of the yield strain at the 
permissible stress design load levels. Load case 4 was more 
severe, but related to a building configuration without one 
sidewall. This load case would have produced strains 
significantly greater than 60% of the yield strain. 
Consequently the design loads for each load case were 
proportioned by the scaling factor shown in Table 1 until the 
maximum moment was approximately equal to the section 
moment capacity of 50.2 kNm based on two-dimensional 
analyses. Therefore all the test load cases (permissible stress 
design load x scaling factor given in the last column of Table 
1) would bring the experimental frame to the same maximum 
stress level of 60% yield stress and thus enable the 
investigations of experimental frames under different load 
cases to be at a common maximum stress level. 
Figure 5 shows the simulation of the windward girt loads for 
load case 3 (Figure 4(b)) on one bay of the experimental 
structure. One hydraulic actuator was used to generate the 
girt loads for each bay on each side of the experimental 
structure, requiring a total of four actuators to simulate all wall 
loads. In this case the command signal was 15.84 kN. This 
load was applied to the centre of the simply supported loading 
yoke (Figure 3(b)). Each end of the yoke was assumed to 
apply 7.92 kN to the centre of the loading beams. Each 
loading beam has a reaction of 3.96 kN at each end. This 
arrangement was assumed to apply 3.96 kN to the centre of 
the top and bottom girts and 7.92 kN to the centre of the 
middle girt. All experimental loads were calculated and 
applied in this way. 
Figure 5. Typical Load Application to 
Experimental Structure via Girts 
Table 1. Theoretical Response of Frame to Initial Test Loads using 20 Analysis 
Load Case Frame moment resulting from experimental loads (kNm) Design Moment 
Windward Knee Riclg_e Leeward Knee Moment• Ratiob 
1 49 -33 49 37 1.32 
2 -50.8 37.5 -50.8 -14.5 3.5 
3 50.2 -23.5 13.0 48.3 1.04 
4 49.6 -27.8 30.0 67.9 0.73 
• Moment (kNm) resulting from unfactored design loads from AS1170. [19] 
b Ratio of maximum frame moment using experimental loads to design moment. 
4.2 Theoretical behaviour of building using three-
dimensional analysis 
The analysis used to determine experimental loads was 
consistent with the conventional design approach but was not 
adequate for comparison with experimental results. An 
accurate theoretical model was required to investigate the 
theoretical response of the experimental building so an elastic 
second order three dimensional frame analysis of the unclad 
experimental building was conducted using Microstran. 
Secondary members (purlins and girts) were considered to be 
continuous over the two spans with pin connections at the end 
frames (see Figure 5). The theoretical model attached these 
members to the frames using RHS members 350 mm long 
(Figure 5) to simulate the distance between the centroid of the 
portal frames and the top of the purlins. The knee and ridge 
connections were assumed to be rigid and the base pinned. 
The rigid knee and ridge connection assumption was based 
on the experimental moment versus rotation curves obtained 
by Dempsey [6]. The bending moments resulting from this 
analysis for the centre frame at the critical locations are given 
in Table 2. The second order elastic analysis showed no 
significant nonlinear effects up to the predicted failure load of 
the experimental structure. This simplified both the theoretical 
analysis and the analysis of experimental results. 
The knee bending moments for load cases 1 and 2 increased 
from approximately 50 kNm (Table 1) to 60 kNm (Table 2). The 
variation is much less for load cases 3 and 4, however, Table 
2 demonstrates the need to use the results of the three-
dimensional analysis rather than the two-dimensional 
analysis. In the experimental program, test loads were based 
on the scaling factors from 2D analysis given in Table 1, which 
might imply that all four load cases would not have produced 
the desired maximum strain of 60% yield strain. However, the 
scaling factors from the more accurate 3D analysis (last 
column of Table 2) were used in the comparison of experimental 
and theoretical results. 
5. EXPERIMENTAL PROGRAM 
The experimental program was comprehensive, and included 
a range of building configurations and loading conditions. 
Four load cases listed in the previous section were considered 
whereas building configuration parameters included the 
effects of: 
1. portal frame base fixity; 
2. tensioning of the main connection bolts; 
3. fly bracing; 
4. anti-sway cross bracing in the end portal frames (Moor 
[14]), and 
5. cladding of the structure (Moor [14]). 
Both qualitative and quantitative observations were made 
during the tests. Qualitative assessment was based on visual 
monitoring of the deformed structure. Load applied to the 
experimental structure was shared between the centre and 
end frames so it was important to consider the behaviour of 
each frame. Applied loads were measured using sixteen load 
cells connected to the actuators. A total of nine displacement 
transducers were used to measure the in-plane deflections of 
the three frames, namely, vertical deflection at the ridge and the 
horizontal deflection at each eaves ·for each frame. In addition, 
column base rotation, frame out-of-plane displacements and 
strain measurements along the frames were also monitored. 
Figure 6 shows the location of all strain gauges placed on the 
centre frame. The centre frame was subjected to 
approximately twice as much load as the end frames so 
greater emphasis was placed on the behaviour of this frame. 
Table 3 summarises the experimental program. Most aspects 
of behaviour were investigated in Series 1 to 7 and the 
building performed well. With the exception of Series 6 (Load 
cases 1 , 2 and 3) and 1 0 (Load case 1), the behaviour of the 
experimental building was investigated for all four load cases. 
Initially the main portal frame connection bolts were snug tight 
Table 2. Theoretical Response of Centre Frame to Initial Test Loads using 30 Analysis 
Load Case Frame moment resulting from experimental loads (kNm) Design Moment 
Windward Knee Ridge Leeward Knee Moment• Ratiob 
1 58.7 -38 58.7 37 1.59 
2 -62.3 38.3 62.3 -14.5 4.3 
3 47.3 -24 30.6 48.3 0.98 
4 53.4 -28.6 44.1 67.9 0.79 
• Moment (kNm) resulting from design loads from AS1170. [19] 
b Ratio of maximum frame moment using experimental loads, to design moment. 
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Table 3. Summary of Main Experimental Program 
Test Series Purpose of test 
1 Commissioning 
2 Test of unclad building with main connection bolts snug tight. Most strain gauge data gathered from the 
centre frame. 
3 Re-test Series 2 with fully tensioned main connection bolts. 
4 Re-test Series 3, but with data acquisition system reorganised to include end frame strain gauges. 
5 Re-test Series 4 but with side walls and roof fully clad 
6 Re-test Series 5 but with end frame bracing using 24 mm steel rods 
7 Re-test Series 5 but with fly bracing progressively removed to investigate out-of-plane behaviour of centre 
frame. This was not investigated in Test Series 2 to 6 
8 Re-test Series 7 but with increased loads: Test load factors of 1.4, 1.0, 1.35 and 1.35 as a ratio of the initial test 
loads given in Table 1 for the four load cases 
9 Re-test Series 8 but with loads increased again: Test load factors of 1.68, 1.35, 1.74 and 1.82 as a ratio of the 
initial test loads given in Table 1 for the four load cases 
10 Test building to destruction for Load case 1. 
Ca1tre Frare 
E ....... W 
Figure 6. Location of Strain gauges 
on the Centre Frame 
and no cladding was attached to the building. After the 
behaviour of the building under these conditions had been 
investigated in Series 2, the knee and ridge bolts were 
tensioned with load indicator washers used to ensure full 
tensioning. Subsequently, Series 3 tests were conducted 
allowing the effect of bolt tensioning to be investigated by 
comparing Series 3 results with those from Series 2. The 
results of Series 2 tests were reviewed to determine the most 
appropriate portal frame strain gauge channels to record for 
the remainder of the program. Strain gauges very close to the 
end plates at the knee appeared to be subject to local effects, 
so many of these were omitted for the remaining test series. 
Following the Series 3 tests, some of the strain gauge 
amplifiers were relocated so that the behaviour of the whole 
building could be investigated without cladding (Series 4). 
Cladding was fixed to the roof and walls (Figure 2) after 
Series 4 so the effect of cladding on behaviour of the building 
could be determined by comparing Series 4 and 5 results. 
Series 6 tests were conducted with cladding and end frame 
bracing to study the diaphragm action of cladding and its 
effects on portal frame behaviour. Series 6 tests included the 
repeated application of load case 3 to the structure to 
determine whether the shear diaphragm capacity would 
degrade with repeated loading. Out-of-plane behaviour of the 
centre frame was studied during Series 7 to 10. 
The second order elastic analyses and initial tests showed 
that the frame response was linear. Therefore loads were 
applied in proportional increments. The initial test loads 
based on Table 1 were expected to produce strains in the 
centre portal frame adjacent to the knees close to 60% of the 
nominal yield strain. However, in some cases, the actual 
strains were significantly lower than expected, so an 
intermediate series of tests (Series 8) was conducted at a 
higher load level to increase the measured strains to 
approximately 60% of the nominal yield strain. The building 
performed well at this level of load, so the command loads 
were again proportioned up to a load considered to be the 
maximum non-destructive test load (Series 9). These load 
factors as a ratio of the initial test loads given in Table 1 are 
also presented in Table 3. In the final test series, test loads for 
load case 1 were increased proportionally until the failure of 
structure. 
Purlins were subject to bi-axial bending and torsion from the 
applied loads before the cladding was attached. Hence the 
bridging was attracting more load than expected. Several 
bridging connections failed because the "hook-loks" 
(proprietary items connecting bridging to the purlins) pulled 
out. In particular, the ridge ties failed and were repaired 
several times. It was necessary to reinforce the ridge ties to 
ensure their structural integrity. Attachment of the cladding 
significantly improved the behaviour of the purlins, and no 
further difficulties were experienced with the bridging until the 
Series 9 and 1 0 tests. 
The accuracy and precision of the experimental system had 
to be estimated before building behaviour could be 
interpreted. The electronic data acquisition system and the 
loading system were designed to be accurate and precise. 
There was some variation in load distribution caused by the 
behaviour of the secondary members, however it was 
consistent from one application of load to the next. Davies et 
al. [4] also reported this type of variation. Successive 
experiments had portal frame deflections within 1% of each 
other. Accuracy of applied loads was estimated to be within 
1% of the desired loads with a standard deviation of 5% under 
maximum loads. 
 
6.0 EXPERIMENTAL RESULTS 
Experimental results are summarised in terms of in-plane 
strains, in-plane and out-of-plane deflections. Detailed results 
of the investigations are given in Heldt [1 O] and Moor [14]. 
Effect of cladding on frame behaviour due to stressed skin 
action was significant only during Test Series 6 when end 
frame bracing was added to the building subject to cross wind 
loads. Therefore for all other cases, theoretical analyses were 
based on an unclad experimental building as described in 
Section 4.2. In general, theoretical analyses showed that 
there were no significant second order effects in the 
experimental structure. This allowed results for all load levels 
to be normalised, by dividing experimental results by the test 
load factors (last column of Table 2). This assisted the 
analysis of both strain and deflection data. 
6.1 Strain results 
6.1.1 Effect of bolt tensioning 
Test Series 2 and 3 were conducted to compare the effect of 
snug-tight and fully tensioned bolting of the major portal frame 
connections. The pinned base configuration was analysed in 
detail since it was easier to isolate the effects of bolt 
tensioning. The strains were compared in the vicinity of the 
knee and ridge connections (but not those adjacent to the end 
plates) before and after bolt tensioning. Two successive 
repetitions of load case 1 were applied (in ten increments) in 
Test Series 2 and the sample results are plotted in Figure 7 
for strain gauges 49 and 50 (see Figure 6}. The main 
connection bolts were then tensioned and load case 1 was 
reapplied in Test Series 3. On Figure 7, the data (for example 
SG49} indicates that the recorded strains were essentially the 
same in Series 2 tests for both the first (1) and second (2) 
repetition of load. No significant variation was observed 
between the strains for snug tight (s) and fully tensioned (t) 
bolts. The non-linearity evident at load increment 4 resulted 
· from a need to investigate the behaviour of the structure at a 
specific load magnitude (Moor [14]) so the command load 
was set accordingly. On average, the strains were 1% lower 
after bolt tensioning however this is not significant given the 
accuracy of the experimental system. Consequently, Figure 7 
demonstrates that: 
1. the response of the building was quite repeatable; 
2. the response of the building was linear under working loads; 
3. tensioning of the main bolted connections has little effect 
on member strains and thus overall portal frame behaviour. 
:::: f --+--+ SG49 
..--+_+..--+ ---a--SG49s1 
c 500 _........+..--+ ... o- .. SG50s1 
·~ _.r-+ ---Q--SG49s2 ~ -50: 1<; ' .... ~ "• : .... : .... : 9 10 11 ~_:::;' 
-1000 . - ......... + 
Load mcrement ... ~'•±.·.··~·-± SGSO 
-1500 
Figure 7. Selected centre frame strains for Test Series 
2 and 3 with load case 1 and pinned bases 
(s = snug tight bolts, t =fully tensioned bolts, 1 and 2 
are first and second load repetitions) 
6.1.2 Strain distribution in frames 
Theoretical and experimental strains versus distance along 
the frame centroid were plotted for centre and end frames for 
each load case. However, only Figures 8 and 9 are presented 
here and the remaining figures are given in Heldt [1 0]. In 
these figures, a frame position of "0" corresponds to the 
western portal frame base and a frame position of 
approximately 20 corresponds to the eastern portal frame 
base. All gauges were set to zero prior to the application of 
load. Consequently the data represents change in strain 
under the applied load and no account was taken of any pre-
load (such as dead load of the building and testing 
equipment). Theoretically, the strain distribution in the end 
frame should be the same for both north and south frames as 
the structure and loading are symmetrical about the centre 
frame. Experimental results for both end frames have been 
plotted on Figures 9(a) and (b). Potential eccentricities in 
loading or structural response can therefore be highlighted. 
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Compression -----------close to end-plat~ 
(ri\ Compatible strains ~ • \!!Y near knees Ill 
Knee1 Knee2 
Tension Frame position (m) 
-Outside flange (theory) -Inside flange (theory) • Series 4 (0) 
IZI Series 4 (I) 
• Series 9(0) 
2000 Compression 
1500 
1000 
500 
-500 
-1000 
-1500 
-2000 
-2500 
Base 
Tension 
• Series 5 (0) m Series 5 (I) 
• Series 9(1) 
(a) Load case 2 
Knee 2 
Frame position (m) 
(b) Load case 3 
20 
Figure 8. Strains in Centre Frame with Pinned Bases 
Theoretical predictions indicated that maximum frame strains 
would occur at either the knees or ridge of the centre portal 
frame. Consequently, strain gauges were placed on the 
structure approximately 50 mm from the end plates at the 
knee and ridge connections. Limited measurements of these 
centre frame strains were recorded during the Series 1 tests 
and some strains were considerably higher than expected. 
 
 
Inside and outside flange strains were incompatible at these 
cross-sections and inelastic strains were recorded even 
under the permissible design loads (Figure 8(a)). Inelastic 
compression strains were recorded adjacent to the end plates 
at the inside of the portal frame knees even though theoretical 
strains were well below the yield strain (2250 micro-strain). 
These local strain increases were still present but much 
reduced for load case 1 where the inside of the knees was 
subject to tension. A local increase in strain also occurred 
adjacent to the other end plates (ridge and portal frame 
bases), but the magnitude was small. These local strain 
increases might have resulted from the weld procedure (fillet 
weld) used, but further research is required. There were no 
noticeable inelastic effects observed in the overall building 
behaviour as a result of this "local yielding", and there was no 
degradation in building behaviour with an increasing number 
of test cycles. Subsequently, additional strain gauges were 
placed approximately 200 mm from the end plates (Figure 6}, 
which produced compatible strains on each flange (Figure 
8(a)) and allowed better assessment of strain distribution in 
the frames. 
Strains recorded near the centre frame ridge were close to 
the theoretical predictions using 30 analyses. Strain was 
between 94 and 1 00% of the theoretical values for load cases 
1 and 2 in all test series. This observation indicates that 
theoretical results are consistent with experimental results. 
Strains recorded near the points of contraflexure on the 
rafters were also close to the theoretical predictions (Figure 
8(a}}. 
Strains adjacent to the knees were approximately 80% of 
theoretical values (see Figure 8). This variation from 
theoretical predictions is more significant than that noted for 
the ridge since the expected accuracy of load distribution was 
between 95 and 1 00 percent of the theoretical load. Given 
that the ridge strains were consistent with theoretical 
predictions, the knee strains were between 1 0 and 20% 
below theoretical values and dependant on the load case. 
The reason for this reduction is unclear, however it is 
significant, and important since knee strains often govern 
portal frame design. 
There was concern that some of the highly loaded cleats near 
the knee of the building could have increased local stresses 
in the flange adjacent to the point of cleat attachment. Two 
rosette strain gauges were fixed to the HFB flanges adjacent 
to the cleat attachment to investigate this possibility, and 
these gauges were also recorded during Test Series 2. These 
experiments indicated that there was no significant localised 
strain increase in the vicinity of the cleats due to the welding 
of purlin cleats to rafter flanges. Consequently, these rosette 
gauges were not recorded in subsequent experiments. 
Attachment of the cladding without the cross bracing at the 
end frames did not affect strain distribution at either the knees 
or the ridge for load cases one and two (compare Series 4 
and 5 data in Figure 8(a)). The strain distribution also 
remained linear throughout the non-destructive load range for 
these cases (compare Series 5 and 9 on Figure 8(a)). 
Attachment of the cladding caused a reduction in the ridge 
strain of between 10 and 15% initially for load case 3 (Figure 
8(b)). The magnitude of this was reduced at higher load levels 
and may be caused by tension membrane effects of the 
cladding. If this is true, then the capacity of the cladding to act 
as a tension membrane is influenced by the load magnitude. 
For load case 3, the attachment of the cladding also caused 
the centre frame leeward knee strains to increase from about 
65% of the theoretical value up to about 95% of the 
theoretical value (Series 4 and 5). This redistribution 
remained at higher load levels (Series 8 and 9), and coincided 
with a reduction in windward knee strain (Figure 8(a)). 
The attachment of the cladding caused some variation of end 
frame strain but this was not a great effect. The average 
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Figure 9. Strains in End Frames under Load case 3 
windward knee strains for load case 3 was approximately 
95% of the theoretical values. The end portal frames were 
free to sway without the end frame bracing, thus minimising 
stressed skin effects. The strains in the end frames were 
reasonably consistent with the behaviour of the centre frame 
(Figure 9). 
6.1.3 Effect of claddings and end frame bracing 
Test Series 6 investigated the effects of cladding and end 
frame bracing on building behaviour and the results are 
discussed in detail by Moor [14]. Strains and deflections were 
significantly different between the bare frames and fully clad 
frames when they were under lateral loads due to cross wind 
(Load cases 3 and 4). Table 4 presents the deflections and 
moments at three critical locations in the centre and end 
frames. The moments in the table were calculated from 
measured strains. There was noticeable load transfer from 
the centre frame to the end frame when cladding and end 
frame bracing were added to the experimental building. This 
increased the moments on the end frame, but decreased the 
higher moments on the centre frame in a direction to equalise 
the moments and deflections among these frames (see Table 
4). At the same time within each of these frames the 
difference between the moments at the windward and 
leeward knees was reduced from a factor of 5.6 to 1.3. This 
resulting moment distribution is quite beneficial as it creates 
a uniform moment distribution within each of the centre and 
end frames, and in this process leads to reduced design 
moments. The significant reduction and redistribution of 
maximum moments and deflections in the centre frame due 
 
Table 4. Effects of Claddings and End Frame Bracing on Deflections and Moments 
for Load Case 3 and Pinned Bases 
Windward Knee Ridge Leeward Knee 
Location Test Structure Deflection Moment Deflection Moment Deflection Moment 
Centre Frame 
End Frame 
(mm) 
Bare Frames 51 
Cladding 35 
Cladding+Bracing 14 
Cladding+Bracing 
: 3-D analysis 14 
2-D analysis 53 
Bare Frames 28 
Cladding 29 
Cladding+ Bracing 3 
Clading+Bracing 
:3-D analysis 5 
End frame 
_.--- bracing rods ~ 
(kNm) (mm) 
44.6 55 
38.7 52 
29.7 55 
31.7 56 
42.8 49 
19.3 21 
21.5 19 
10.5 19 
12.0 22 
(kNm) (mm) (kNm) 
-26.6 40 8.0 
-25.3 24 13.3 
-24.9 3 22.5 
-25.2 5 23.0 
-23.2 45 4.4 
-8.7 24 -0.8 
-9.4 26 -2.4 
-8.0 1 9.3 
-11.0 1 9.4 
Equivalent truss members 
Figure 10. Three-dimensional Model of Fully Clad Experimental Building 
to the presence of cladding and end frame bracing for the 
cross wind load case can be seen in Table 4. Adding the 
cladding alone did not cause significant reductions to 
deflections and moments. It was effective only when end 
frame bracing was added to the experimental building. This 
observation agrees well with the basic stressed skin 
behaviour. 
Two- and three-dimensional analyses of the unclad experimental 
building could not predict the observed deflections and moments 
(see Table 4). Therefore a three-dimensional model of the 
fully clad experimental building was developed that included 
the effects of cladding. In this model, the effect of a cladding 
panel was simulated by an equivalent truss member 
connecting the two opposite corners of two adjacent frames 
based on the equivalent truss member theory and shear 
stiffness values of claddings obtained from full scale shear 
tests. The model also included the 24 mm end frame bracing 
rods as they were used in the experimental building. Figure 
1 0 shows the final three-dimensional model including frames, 
purlins and girts, roof and wall claddings and end bracing 
rods. Results from this three-dimensional model agreed well 
with the experimental results and thus validated the use of the 
model in predicting the true behaviour of clad steel portal 
frame buildings (Table 4). Further details of this analysis are 
given in Mahendran and Moor [13] and Moor [14]. 
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Although the claddings used on the experimental building 
were crest-fixed and not valley-fixed as expected for stressed-
skin action, there was noticeable stressed-skin behaviour in 
the experimental building. The action of these crest-fixed steel 
claddings with braced end frames produced a reduction of 
33% in the maximum moment and 72% in the maximum 
horizontal deflection at the knee (see Table 4). Reductions in 
deflections are quite significant from a serviceability design 
view point. The current analysis and design of steel portal 
frame buildings based on a two-dimensional analysis of bare 
steel frames ignores the ever-present stressed-skin 
behaviour of claddings and thus the resulting spread of 
moments and deflections from windward to leeward locations 
and from internal frames to gable frame. All these mean that it 
is not based on the true three-dimensional behaviour of the 
entire steel portal frame building system and does not take 
advantage of the reduced moments and deflections 
mentioned above. It is therefore recommended that a three-
dimensional model such as the one in Figure 1 0 is used in the 
design of steel portal frame buildings, particularly for lateral 
loading due to cross wind. 
When the experimental building was subjected to gravity and 
longitudinal wind loads (Load cases 1 and 2), there were 
insignificant differences in deflections and moments due to 
the addition of cladding and end frame bracing. This agrees 
well with the observations made by Davies and Bryan [3] that 
buildings with a flat roof slope (in this case 5° will not gain from 
the presence of claddings when vertical and symmetrical load 
cases are considered. 
Although this investigation considered only a specific steel 
portal frame building, the above comments are equally 
applicable to other steel portal frame buildings. 
6.1.4 Base Fixity 
Normal portal frame bases are neither pinned nor fixed, rather 
they exhibit stiffness characteristics between these theoretical 
possibilities. In order to investigate . the rigidity of this 
connection, the behaviour of the building was compared with 
both theoretical conditions. The theoretical strains from a 3D 
analysis for both pinned (dashed lines) and fully fixed (full 
lines) bases are shown on Figure 9(a). The effects of cladding 
were not included in this 3D analysis. To allow a more detailed 
comparison of the expected variation between pinned and 
normal bases, fixed base moments were divided by pinned 
base moments and converted to percentages. With normal 
bases, high strains were recorded near the portal frame base 
plates (within 50 mm) and some of these exceeded the 
theoretical values for fixed bases (Figure 9(a)). The gauges 
approximately 450 mm above the base plates give strain 
recordings close to the theoretical pinned base values. It is 
likely that the high strains recorded near the portal frame 
bases were local strain increases similar to those discussed 
previously. If the base fixity were fully effective for load case 3, 
the leeward knee strain would have increased to 234% of the 
pinned base value. The ridge results would be 90% of the 
pinned base value and the windward knee values would be 
83% of the pinned base value. The leeward knee strains 
(previously about 90% of the theoretical values) increased by 
40 to 50%. The ridge values were between 5 and 1 0% below 
the experimental values with pins in place, and the reduction 
at the windward knee was approximately 1 0% below the 
experimental pinned base values. This indicates that the 
normal base connections were about 50% fixed (having 
stiffness halfway between fixed and pinned conditions). 
Similar results were obtained for load case 4 but there were 
only minor strain redistributions for load cases 1 and 2. These 
observations are reasonably consistent with the findings of 
Robertson [17]. 
Three-dimensional analyses including the effects of cladding 
(Figure 1 0) showed that analyses assuming ideal fixed bases 
produced considerably smaller reductions to moments and 
deflections than experiments, particularly for load case 3. This 
also confirms the observation that normal bases have to be 
considered to be equivalent to one between pinned and fixed 
bases. 
6.2 In-plane Deflection Results 
Deflection behaviour of the structure is presented in detail in 
Heldt [1 0] and supports the observations in Section 6.1. It can 
be summarised as follows: 
1. Of the parameters investigated during these experiments, 
portal frame base conditions had the greatest influence on 
deflection behaviour. For load cases with significant net 
racking load, normal base conditions significantly reduced 
racking displacements. For load cases with little or no net 
racking load, normal base conditions did not significantly 
affect the behaviour of the structure; 
2. Full tensioning of the main connection bolts had no 
significant effect on the deflection behaviour of the portal 
frame building; 
3. The shear stiffness of the cladding caused load 
redistribution and consequently influenced the deflection 
behaviour of portal frames. The extent of this effect was 
influenced by the degree of net racking load and the 
relative displacement between the frames. The use of end 
frame bracing and cladding reduced the frame deflections 
significantly. This is discussed in greater detail by Moor [14] 
and Mahendran and Moor [13]. 
4. Theoretical frame displacements from a three-dimensional 
elastic second order frame analysis of unclad and clad 
buildings agreed reasonably well with experimental values 
(Heldt [1 0], Moor [14]). 
It was found that even though portal frame deflections 
exceeded the current deflection limits significantly, it caused 
no problems to structural integrity or the confidence of 
occupants. Purlin and girt deflections were more noticeable 
than frame deflections. It is important that current deflection 
limits are reviewed to improve this situation. 
6.3 Out-of-plane Displacements 
The out-of-plane displacement behaviour of the test portal 
frames investigated the following parameters: load case, load 
magnitude, load repetition, base fixity, fly bracing and tension 
flange restraint. There has been some debate regarding the 
performance of flybracing and in particular whether flybracing 
should be applied to both sides of a rafter or only on one side. 
Therefore full scale tests of portal frames should include 
careful monitoring of out-of-plane displacements to 
investigate frame stability. Out-of-plane displacements can 
result from in-plane loads, so the in-plane behaviour of the 
portal frame building had to be thoroughly investigated before 
out-of-plane behaviour could be considered. Test Series 1 to 
6 confirmed that the in-plane behaviour of the test portal frame 
was generally consistent with the theoretical behaviour (and 
thus the adequacy of the bending moment distribution) so the 
out-of-plane investigations began with Test Series 7. The 
centre frame took most of the load in the experimental 
configuration used. Consequently all measurements of lateral 
(out-of-plane) displacement were made on the centre frame. 
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The test portal frame out-of-plane behaviour can be summarised 
as follows: 
1. some minor re-seating of the roofing system occurred 
when the load case under investigation was changed; 
2. building and component misalignment may lead to 
significant out-of-plane displacements. This could affect 
the load carrying capacity of the structure; 
3. generally multiple applications of the same load case did 
not cause an incremental increase in out-of-plane 
displacement; 
4. cross-wind load caused less out-of-plane displacement 
(more stable) than longitudinal wind load, which is less 
than live load 
5. once the portal frame was seated for a given load case 
with a small magnitude of load applied, little additional out-
of-plane displacement occurred with increasing load 
unless there was some component, or building 
misalignment; 
6. normal portal frame base conditions generally improve the 
stability of the portal frames; 
7. out-of-plane displacements increase when even moderate 
levels of axial compression are introduced into flexural 
members; 
8. fly bracing attached to one side of the rafter was adequate 
to resist out-of-plane displacements. 
6.4 Destructive Test 
The experimental program up to Test Series 9 had systematically 
investigated the effect of various parameters on the test portal 
frames' in-plane strain behaviour, in-plane deflection 
behaviour and out-of-plane displacement behaviour. All 
aspects had to be investigated simultaneously during the test 
to destruction. Load case 1 (longitudinal wind load) was 
chosen for the destructive test since it combined a long beam 
segment with tension flange restraint and high strains. Load 
was increased until collapse occurred. There was no obvious 
evidence of yielding in the frame from visual observations 
after failure. Instead, the purlin system collapsed after 
resisting the load for a short time (approximately 10 seconds). 
This was initiated by a failure in one of the bridging elements 
at the first internal purlin from the ridge. This allowed the purl in 
to move out-of-plane, resulting in yielding and subsequent 
collapse of that purlin. Load shedding then occurred, with 
adjacent purlins taking increased load, then collapsing. The 
entire purlin system collapsed within approximately 2 
seconds. The initial purlin failures occurred in the centre of 
the purlin spans, however subsequent failure also occurred at 
the ends of the purlin splices. Although the failure occurred at 
loads above the design load levels, the sudden nature of 
failure must be considered unacceptable. 
The strain gauge records for the centre frame during the 
destructive test are given on Figure 11. The strain gauges 
shown were on the rafter, 200 mm from both western and 
eastern knee end plates, 50 mm from the ridge end plate and 
in the centre of the building approximately 350 mm from then 
ridge end plate (see Figure 6). The strains at the knees and 
at the ridge were very similar to each other. The strains 
adjacent to the ridge end plate exhibited the local strain 
increase associated with the end plate noted in Section 6.1. 
Yielding commenced adjacent to the ridge end plate strain 
gauges 55 and 56), and collapse (of the purlin system) 
occurred with only a slight increase in load. The permanent 
vertical deformation in the frame was approximately 30 mm at 
the ridge after collapse. There were no visible signs of 
distress in the centre frame after failure. 
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Figure 11. Centre Frame Strains for Destructive Test 
Table 5. Centre Frame Strains for Destructive Test immediately before Failure 
Experimental Estimated 
dead load 
True strain 
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The effect of cladding was found to be minimal when the end 
frames were not braced with steel rods and for load case 1 as 
in the final test Series 9. Therefore results from the three-
dimensional model of the unclad building are used in the 
discussion of results of the final test series. Table 5 
summarises the strains in the centre frame immediately 
before failure. The experimental strains at the ridge (SG55 
and 56) were reasonably close to the theoretical strains for 
fully fixed bases (compare columns 2, 3 and 4). These strains 
are the result of the applied load and do not take into account 
the strains resulting from the initial dead load. The dead load 
of the structure and loading system was subsequently 
calculated. This load was applied uniformly over the roof and 
analysed using the three-dimensional model of the structure 
using Microstran. The ridge strains are given in column 4 of 
Table 5 and the estimated true strains (calculated by adding 
columns 4 and 5) are given in Column 6. Given that the 
theoretical yield strain is 2250 microstrain, the three-
dimensional second order elastic frame analysis appears to 
give an accurate estimate of the behaviour of the 
experimental structure at failure. 
The load factor as a ratio of permissible stress design loads 
immediately before failure was 2.08. The inherent failure load 
factor assuming permissible stress design is 1.67, however it 
is incorrect to assume that the difference between these two 
figures results from conservative assumptions in the code. 
The 20 analysis assumed for design was shown to 
inadequately represent the response of the theoretical 
structure (compare Tables 1 and 2). The 30 elastic second 
order analysis predicted a moment at the column face of 
55 kNm and at the ridge of 35 kNm assuming fixed bases and 
ignoring dead load. The expected failure load factors were 
calculated using these theoretical moments and axial forces 
by converting them to strains and assuming the nominal yield 
strain of the steel to be 2250 microstrain. The expected load 
factor required to fail the experimental building at the column 
face of the centre portal frame was 1.52. Similarly, the 
expected load factor required to fail the centre portal frame at 
the ridge was 2.09. These values do not include the beneficial 
effect of dead load {0.27 of the permissible design moment). 
Adding this to the above load factors, the expected failure load 
factor at the knee increases to 1.79 and the ridge failure load 
factor increases to 2.36. The actual failure load factor lies 
approximately half way between these values. 
Strains in the vicinity of the knee were found to be 
approximately 1 0 percent below expected values throughout 
this experimental program. Allowing for this (multiplying 1.79 
by 1.1 ), yielding at the knee may have been delayed until the 
load factor reached 1.97. Yielding may have commenced at 
this stage, although it was not detected since strain gauges 
could not reliably read strains so close to the end plates. 
Under this hypothesis, load would be redistributed towards 
the centre of the building causing premature yielding at the 
ridge. 
While the above hypothesis cannot be thoroughly validated 
using the available data, it is reasonably consistent with 
experimental and theoretical observations. The precise failure 
sequence is subject to a range of uncertain variables including 
the yield stress of th.e centre frame flanges, behaviour of 
connections (in particular, flexibility of base connections) and 
variations in loads applied. While the centre frame did start to 
yield (considered to be failure under AS 1538 [18]), it did not 
collapse. Instead, the purlin system collapsed prematurely, 
and yielding of the frame contributed to this purlin collapse as 
discussed previously. This "failure" occurred at a load factor 
that slightly exceeded theoretical predictions as discussed 
above. 
Based on the above evidence, the failure sequence of the 
structure was as follows: 
1. elastic behaviour of frames until yielding commenced at the 
centre frame ridge. This may have been preceded by 
yielding in the vicinity of the knees; 
2. rotation occurred at the ridge, causing the gap between the 
ridge purlins to open up, however, there was no experimental 
evidence of the development of a full plastic hinge; 
3. since the ridge ties had been reinforced {due to previous 
failures) no movement could occur at the ridge ties, 
causing additional force into the bridging system; 
4. one of the bridging attachments at the first internal purlin in 
the south east bay failed, allowing this purlin to twist slightly 
out-of-plane. This purlin had high strain in the centre of its 
span, and the additional strain caused by this twisting 
caused collapse of the purlin at centre span; 
5. the collapse of this purlin initiated the collapse of the entire 
purlin system, as load was shed away from failed elements; 
the centre frame remained stable throughout the test. 
7. CONCLUSIONS 
This paper has described the full scale experiments of an HFB 
portal frame building subject to wind uplift, racking and gravity 
loads. It included experimental and theoretical building 
responses, and findings related to all types of steel portal 
frame buildings. The results that are generally applicable to 
steel portal frame buildings included the effects of bolt 
tensioning, portal frame base fixity and steel cladding on 
portal frame behaviour, the performance of flybracing and the 
need for more accurate three-dimensional modelling and 
reliable deflection limits. 
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